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The response of substandard reinforced concrete (RC) columns and the structural repair of the 

pre-damaged columns by carbon-fiber-reinforced polymer sheets (CFRPs) were investigated 

by experimental and advanced numerical modeling methods. The specimens with non-

conforming longitudinal and transverse reinforcement configurations were constructed from 

low-strength concrete and plain round bars. The investigated test parameters were the lap-

splice, hook detail in the longitudinal reinforcement, and axial load ratio. First, the RC columns 

were tested up to failure under cyclic loading. Owing to the plain round bar and non-conforming 

details, the significant slip of the reinforcement governed the flexural response, which later 

developed axial damage (i.e., concrete crushing with reinforcement buckling). The severe 

cracks and concrete crushing were then successfully repaired by the externally bonded CFRP 

sheets. The former load-carrying capacities of the repaired RC columns were recovered, and 

the damage formation in the concrete and reinforcement was transferred to CFRP sheets. The 

final failure mode was characterized by local deformations in the CFRP with insignificant 

damage in the concrete and reinforcement bars. In addition, the nonlinear response of the as-

built specimens was adequately reproduced in the finite element environment. The crack 

patterns and capacities of the numerical solutions matched well with the experimentally 

observed responses.  
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14 1.1 Motivation  
 

1   INTRODUCTION 

The current study targets to evaluate the performance of heavily damaged reinforced concrete 

(RC) columns, which are repaired by Carbon Fiber Reinforced Polymers (CFRPs). This is 

intended to be achieved for all specimens through laboratory tests and experimentally validated 

numerical models. First, the experimental response of as-built RC columns is obtained through 

six full-scale tests. Then, the heavily damaged substandard RC columns are repaired by CFPRs 

and tested again. Finally, the whole procedure is also simulated in a finite element (FE) 

environment.  

1.1 Motivation 

According to the capacity design principles specified in most modern design codes, structural 

members should exhibit a ductile response. Several codes and guidelines describe the 

requirements to meet the ductile behavior and design principles (CEN 2004a; NZS 3101 2006; 

ACI 318 2019). However, a significant portion of RC buildings in the existing building 

inventory of developing countries has specific local deficiencies, which can cause premature 

failure of structural members (Tezcan et al. 1978; Norton et al. 1994; Ricci et al. 2011; Yılmaz 

and Avşar 2013; Angster et al. 2015; Kc et al. 2019; Yurdakul et al. 2021). Structural 

deficiencies mainly arising from poor material properties (e.g., use of low-strength concrete 

and plain round bars), improper detailing in RC components, and unaudited construction may 

result in devastating brittle failure. Severe damage at the RC member remarkably violates the 

integrity of the structural system. The obvious outcomes are poor energy dissipation and sudden 



Chapter 1 - Introduction 15 
 

 

strength and stiffness degradation. As local damages can also actuate the global failure 

mechanism, investigating the behavior of substandard members is essential. Based on field 

observations and laboratory tests, capacity design principles have earmarked deficient RC 

members as critical components in the moment-resisting frames (Yurdakul et al. 2021). This 

poses a severe societal risk (Del Vecchio et al. 2020).  

A structure during its economic lifetime may face a low probability event such as earthquakes 

or natural and man-made disasters. Note that the design codes allow a certain level of damage 

(ensuring life safety without total collapse), which can make the building unserviceable in such 

low probable events. Indeed, good performance of buildings was observed in the Canterbury 

earthquakes in 2010 and 2011, with fewer fatalities (185 deaths) (Parker and Steenkamp 2012). 

However, the rebuild costs of around NZ$20 billion (US$15 billion), excluding disruption 

costs, or 10% of GDP, are estimated. The insured losses of around NZ$30 billion (US$25 

billion) are reported by the National reserve bank of New Zealand (Parker and Steenkamp 

2012). Therefore, minimizing the rebuilding costs could be necessary to decrease the economic 

impacts of natural disasters.  

The Disaster and Emergency Management Presidency of Türkiye estimated the economic loss 

of Van, Turkey Earthquake in 2011 around 2.9 billion dollars (AFAD 2012).  

One of the deadliest earthquake hit L’Aquila, Italy in 2009 killed 309 people, injured 1600 

people, and caused more than 65000 people homeless, with estimated direct economic loss of 

540 million euro (US$590 million) (Di Pietro and Mora 2015). 

The preliminary damage observations conducted by the Ministry of Environment and 

Urbanisation (MoEU (2020)) report the damage level after an earthquake with a magnitude Mw 

of 6.8 hit Elazığ Province in Turkey on January 24th, 2020 (DEMP 2020). A total of 17021 

buildings were reported as slightly damaged. Among 61152 inspected buildings, those with 

moderate and heavy damage were 1492 and 8396, respectively (Fig. 1.1). Besides, a total of 

821 buildings were marked to be immediately demolished or totally collapsed (e.g., during the 

earthquake, 3 RC buildings totally collapsed). 33422 buildings were marked to be undamaged. 

The majority of these buildings (specifically moderate and severe damage ones) are demolished 

just after the earthquake event without considering any economic aspects.  

The economic balance sheet of the Maraş-Türkiye Earthquake on February 6th, 2023 was 

calculated by factoring in the amount to be spent on reconstruction, reinforcement, and repair 
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of the destroyed and damaged homes and workplaces, debris removal and emergency rescue 

operations, income aid to be provided by the state to earthquake victims, and the state’s income 

tax loss. 

 

Fig. 1.1. Damage distribution among the investigated 61152 buildings by February 08, 2020 (Yurdakul et al. 

2021). 

The repair action should be taken for the structures, which are supposed to be serviceable after 

reaching the deformation limit of serviceability. According to FEMA P-58 (2018), the threshold 

for the economic feasibility of repair is specified when the ratio of repair cost-to replacement 

cost is about 50 %. Moderate to severe damage structures are often demolished even without 

reaching that economic limit (Yurdakul et al. 2021). Besides, additional adverse effects such as 

(i) mass demolition work (together with environmental aspects); (ii) insufficient housing in a 

short time; (iii) and intrusive construction work may lead to relatively high direct and indirect 

costs. These prove the significance of a reliable repair strategy for heavily damaged RC 

members. Particularly, developing an innovative repair solution becomes a key point. Since the 

RC column members are one of the weakest and most critical structural elements in a framed 

structure according to capacity design and hierarchy of strength, this study focuses on 

substandard RC columns.  

1.2 RC Profile: Reasons for Deficiencies 

 Material Properties 

1.2.1.1 Low-Strength Concrete 

The field observations have vitally earmarked the use of low-strength concrete as the main 

deficiency in moment-resisting frame structures in the Mediterranean area (Yılmaz and Avşar 

2013). The main reasons behind this are high water-cement ratio, lack of proper curing, 

17021

(27.8%)

1492

(2.4%)

8396
(13.7%)

821
(1.3%)

0

5000

10000

15000

20000

Slight/Minor
Damage

Moderate
Damage

Severe
Damage

Collapsed or
Immediately
Demolished

N
u
m

b
er

 o
f 

B
u
ild

in
g
s

Data from MoEU  



Chapter 1 - Introduction 17 
 

 

improper aggregate size and type (Fig. 1.2a), and organic materials in the concrete (Fig. 1.2b) 

(Yurdakul et al. 2021). 

  

(a) 

 

(b) 

Fig. 1.2. (a) Aggregate size in slightly/moderately damaged buildings (b) organic material in concrete (Yurdakul 

et al. 2021). 

Bal et al. (2008) found the mean value of compressive strength as 16.73 MPa in existing RC 

Buildings in İstanbul, Turkey (Fig. 1.3). A more dramatic concrete compressive strength value 

(10.35 MPa) was reported in a collapsed building in Ceyhan, Turkey (Çağatay 2005). 

Mazılıgüney et al. (2008) analyzed the compressive strength of 4647 core specimens taken from 

693 buildings in Istanbul, Turkey. The resulting mean value was 10.64 MPa, which also 

supports the other findings. After inspecting the RC buildings of Elazığ province in 2020 after 

the earthquake, the Turkish Ready Mixed Concrete Association (TRMCA 2020) reported the 

mean compressive strength between 6-12 MPa. Arslan and Korkmaz (2007) concluded that the 

average concrete compressive strength that was taken from damaged and undamaged buildings 

was as low as 1/3 of the design strengths. Del Vecchio et al. (2018) reported the average 

compressive strength of concrete as 11.92 MPa in a building demolished after the L’Aquila 

Earthquake, Italy. Masi and Vona (2009) worked on 824 concrete core samples in more than 

200 RC buildings in Italy and found an average compressive strength of 12–16 MPa in 93 of 
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824 tests. In Japan, Shimizu et al. (2000) found the average compressive strength to be less than 

13.50 MPa in some of the inspected buildings, which comprise 3.3% of the total. The frequency 

of buildings with an average compressive strength of 16.00 MPa is above 5%.  

 

Fig. 1.3. Concrete strength distribution in İstanbul and surrounding cities (Bal et al. 2008) and comparison with 

the minimum code requirements. 

American Concrete Institute (ACI) defines the minimum concrete compressive strength as 20 

MPa (3000 psi) for special moment frames in ACI 318-19 (2019). The European standard (in 

the design of earthquake resistive structures EN 1998-1:2004 (CEN 2004b)) limits the 

minimum concrete compressive strength to 20 MPa for DCH (High Ductile Class) in primary 

seismic elements. However, all on-site compressive strength values comprising most of the 

structures are well below the values accepted universally as normal strength concrete (20 MPa 

in many standards). Overall, the compressive strength values lower than the 20 MPa is assumed 

to be poor-quality concrete.  

1.2.1.2 Plain Round Bar 

The use of plain round bars could exhibit a poor bond performance as the other types of failures 

are usually preceded by bond-slip failure (Fig. 1.4). Therefore, structures with plain round bars 

are usually considered to be substandard with respect to today’s construction practices. In these 

structures, the required level of interaction between concrete and a reinforcing bar could not be 

ensured, which results in bond-slip failure together with anchorage pull-out failure (Bull et al. 

2009). The cohesion between reinforcing steel and concrete can be easily influenced by other 

factors such as concrete mechanical properties, level of confinement, clear cover, casting 

position, and geometric details (i.e., bar size and spacing) (ACI 408R-03 2003; Murcia-Delso 

2013). The increase in the slump due to a high water-cement ratio, which is quite common for 

low-strength concrete, adversely affects the bond response, as well.  
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Fig. 1.4. RC member with plain round bar (Yurdakul et al. 2021).  

 Geometric Parameters 

1.2.2.1 Story Height 

The mean value of the story height for 938 sample buildings in İstanbul and surrounding cities 

in Turkey is reported as 2.84 m with Cv of 8% (Bal et al. 2008). The data is visually depicted in 

Fig. 1.5. A similar value is also stated in other studies. Depending on the year and story height, 

the range of ground story level is reported as 2.87-3.36 m with Cv of 8% and 30% (Ozmen et 

al. 2015).  

 

Fig. 1.5. Distribution of regular-story height for all RC buildings (Bal et al. 2008). 

1.2.2.2 Column Dimensions 

Data from existing building stock shows that the mean value of the column width varies 

between 255-334 mm with a relatively high scatter (Ozmen et al. 2015). Depending on the year 

and story height, the coefficient of variation Cv in column width varies around 8%-20% (Ozmen 

et al. 2015). The column depth also varies between 490-746 mm with the coefficient of variation 

Cv of 0.12-0.35. Bal et al. (Bal et al. 2008) reported the column depth in İstanbul and 

surrounding cities as 450 mm, 490 mm, 650 mm, and 700 mm for less or equal to 3-story, 4-

story, 5-story, and 6- and more story frames, respectively.  
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1.2.2.3 Reinforcement Ratio 

The longitudinal steel ratio of columns is reported between 0.96-1.14 % with Cv of 12% and 

33% (Ozmen et al. 2015). Current and former standards also limit the minimum longitudinal 

steel ratio to 1% (TEC 1975; CEN 2004a). It seems that the minimum reinforcement is replaced 

in the existing buildings.  

1.2.2.4 High Axial Load 

The current study targets to evaluate the axial load ratio (σn=N/Acfc) in substandard existing 

buildings, where N is axial load, Ac is the cross-sectional area, and fc is concrete compressive 

strength. Based on the 284 observations in the buildings located in İstanbul, Turkey, the mean 

value µ of axial load ratio σn is found as 0.32 (Fig. 1.6). The standard deviation σr is computed 

as 0.17. Weibull is the best-fit distribution for the provided data. The chi-square and 

Kolmogorov-Smirnov tests are satisfied at a 95% significance level. Note that EN1998-1:2004 

(CEN 2004b) limits the axial load ratio to 0.55 for high ductility class buildings. However, 

many of the reported axial load ratios are higher than the limit (specifically, the ones beyond 

the prominent upper range). 

 

Fig. 1.6. Axial load distribution. 

 Detailing and Construction Practices 

1.2.3.1 Insufficient Confinement 

The failures related to insufficient confinement of RC members should attract attention since 

they remarkably compromise the structural redundancy. The special confinement zones 

arranged at the member ends should be provided in many standards (CEN 2004b; NZS 3101 

2006; ACI 318 2019). According to EN1998-1:2004 (CEN 2004b), the confinement zone 
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length at column ends shall not be less than smaller of [1/6 of the clear height of the column 

(measured upward from floor level or downward from the bottom face of the deepest beam 

framing into the column), column largest section dimension, and 450 mm]. The horizontal 

confinement reinforcement in joints of primary seismic beams with columns should be not less 

than that specified limit in EN1998-1:2004 (CEN 2004b) as well.  

The reconnaissance on the inspected RC members has shown no or low-level of confinement 

at member-ends. The spacing of the transverse reinforcement was measured around 25-30 cm 

in a non-uniform fashion in many of the inspected buildings, which is well above the accepted 

limits (Fig. 1.7a and b). The large spacing of transverse reinforcement has resulted in an 

increased unsupported length of longitudinal bars and hence less buckling resistance. Moreover, 

the inadequate number of stirrups with improper detailing reduced the beam-column joint shear 

capacity. As a result, shear cracks were observed in several inspected RC buildings. Devastating 

shear failure of the beam-column joints was reported in L’Aquila 2009 earthquake, Italy by 

Ricci et al. (2011). The main reason is the lack of shear reinforcement.  
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(a) 

   

(b) 

Fig. 1.7. Insufficient confinement-data from (a) Yurdakul et al. (2021) (b) Ricci et al. (2011). 

1.2.3.2 Specific Details of Reinforcement Elements 

Special seismic hoops and crossties shall be provided for RC sections in all seismic zones. 

According to EN1998-1:2004 (CEN 2004b), the seismic hoops should have 135o hooks with 

10dbw anchorage length at both ends, where dbw is the stirrup diameter. However, those were 

not provided in the reported studies (Fig. 1.8a and b). The stirrups were bent improperly with 

90o hooks, which is non-conforming even with the current and former standards.  

scale 10 cm scale 10 cm scale 10 cm 
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(a) (b) 

Fig. 1.8. Hook details of seismic hoops in column (a) plain round bars (b) deformed bars (Yurdakul et al. 2021). 

The stirrups should engage the longitudinal reinforcement from the outside (EN1998-1:2004 

(CEN 2004b)). Both hooks of the stirrups shall be closed around the same longitudinal bar. On 

the other hand, as an example of poor workmanship in the reported column members, some of 

the column longitudinal bars were out of the confined region, which could possibly cause 

reinforcement buckling (Fig. 1.9). 

  

Fig. 1.9. Unengaged longitudinal bar (Yurdakul et al. 2021). 

Providing crossties with proper spacing links the column longitudinal bars at opposite sides, 

which increases the buckling resistance of the longitudinal bars, and thereby prevents the 

opening of the stirrups. This is one of the most critical detailing requirements for the transverse 

reinforcement in providing the integrity of the RC column sections. Without the presence of 

crossties, it is almost not possible to restrain the longitudinal bars with the flexural stiffness of 

perimeter hoops only. The arrangement of crossties arranged in the columns was also enforced 

in EN1998-1:2004 (CEN 2004b). On the other hand, the code requirements were not fulfilled 

in many of the reported buildings (Fig. 1.10).  
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Fig. 1.10. Reinforcing detail without crossties (Yurdakul et al. 2021). 

1.2.3.3 Insufficient Overlap of Reinforcement 

The assumption of the perfect bond between the concrete and reinforcement bar is one of the 

most fundamental assumptions. The use of plain round bars in many buildings constructed in 

the 70s cannot or can barely satisfy the required level of interaction. Besides, the necessary 

hook details (i.e., 180o) at the end of the members with the required overlapping distance shall 

be provided for plain round bars. On the other hand, non-seismically designed and detailed RC 

buildings lack such important criteria (Fig. 1.11). 

 

Fig. 1.11. Reported lap splice failure by Naseer et al. (2010). 

1.2.3.4 Concrete Cover 

The bond mechanism is violated not only by detailing issues but also by corrosion. Insufficient 

concrete cover and harsh environmental conditions accelerated the corrosion mechanism, which 

actuates the corrosion-induced cracks in concrete. Those, as a side effect, result in the loss of 

interaction between concrete and reinforcing steel, and diameter decrement in the bar (Fig. 

1.12).  
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Fig. 1.12. Corroded reinforcement (Yurdakul et al. 2021). 

 Design Approach 

1.2.4.1 Soft Story 

A very typical design practice in the conventional building stock of Mediterranean countries is 

to have commercial units on the ground floor with either larger openings in the infill walls or 

without any infill walls. Ground story height is usually higher than the normal stories used for 

residential purposes. The soft stories are usually designed as a shop, parking garage, or storage 

purposes. On the other hand, the stiffness provided by the infill walls reduces the deformation 

in the upper stories, while the elimination of infill walls causes more lateral deformation in the 

ground story. The increased column deformations localized at the ground level are not foreseen 

in the design stage if the effect of infill walls is not considered in the structural analysis. This 

may cause local damage or even total collapse of the structure due to the formation of the soft-

story mechanism. Moreover, non-structural components at the ground story suffer from more 

damage due to larger inter-story drift demands (Fig. 1.13). 

 

Fig. 1.13. Soft story induced damage in Maraş Earthquake 2023 (Photo Credit: Yunus Demirtaş) 
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1.2.4.2 Frame Discontinuity 

The frame irregularity is characterized by discontinuities in the vertical or horizontal directions, 

which adversely affects the performance of buildings. Several types of frame irregularities are 

found in some of the reported buildings, which were graded as moderately damaged buildings 

(Fig. 1.14). To transfer the inertial forces, mainly developed at the floor level from floors to the 

ground, the frame components should be continuously connected to each other from their 

geometric axis as much as possible. However, numerous frame discontinuity examples were 

reported (Yurdakul et al. 2021). 

 

 

 

Fig. 1.14. Frame discontinuity (Yurdakul et al. 2021). 

In addition to the above-mentioned deficiencies, large and heavy overhangs, and poor frame-

infill interaction etc., are the main issues at the design and manufacturing levels of substandard 

RC structures (Arslan and Korkmaz 2007). The secondary effects of non-structural components 

on global behavior are also critical for these structures. 

1.3 RC Column Damage 

This study focuses on the substandard RC columns since they are one of the weakest and most 

critical structural elements according to capacity design and hierarchy of strength. Therefore, 

the most common RC column damages reported after field reconnaissance surveys are 

summarized in this section.  
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 Column Axial Failure 

The spacing of the transverse reinforcement is measured around 25-30 cm in a non-uniform 

fashion in many of the inspected buildings, which is well above the accepted limits (Fig. 1.7a 

and b). Under-designed columns lead the premature shear damage, which can be followed by 

axial failure of the column. Note that the large spacing of transverse reinforcement has resulted 

in an increased unsupported length of longitudinal bars, and hence less buckling resistance. 

Besides, the complete opening of hoops, together with the lack of cross ties, decrease the 

buckling resistance of the reinforcement. The use of low-strength concrete leads to the crushing 

of concrete. As a result, the axial-load-bearing capacity of the RC column is lost (Fig. 1.15a-d).  

  

(a) (b) 

  

(c) (d) 

Fig. 1.15. Column axial failure (a) Van 2011 earthquake, Turkey (Öztürk 2015) (b) Kütahya-Simav 2011 

earthquake (Yılmaz and Avşar 2013) (c) L’Aquila 2009 earthquake, Italy (Ricci et al. 2011) (d) İzmir Seferihisar 

2020 earthquake, Turkey (Photo Credit: Özgür Avşar). 

 Strong Beam-Weak Column 

To provide the required level of ductility, the plastic hinge should take place in the beam. To 

this end, the flexural capacity of the column end should be higher than the flexural capacity of 



28 1.3 RC Column Damage  
 

the beam end. In many cases, this phenomenon is violated due to deep/strong beams connected 

to weak/flexible columns. The plastic hinge forms in the column end, which can result in severe 

damage or even loss of stability (Fig. 1.16a and b).  

  

(a) (b) 

Fig. 1.16. Strong beam-weak column failure (a) Van 2011 earthquake, Turkey (Öztürk 2015) (b) Kashmir 2005 

earthquake, Pakistan (Naseer et al. 2010). 

 Lap Splice (Bond-Slip) Failure 

In the conventional approach, the perfect bond between the concrete and reinforcement bar, 

which provides the required level of interaction, is assumed. However, buildings constructed in 

the 70s cannot or can barely satisfy fundamental criteria. Besides, the actual overlapping 

distance is well below the required one, which results in bond-slip failure together with pull-

out failure (Fig. 1.17a and b). 

 

 

 

(a) (b) 

Fig. 1.17. Reported lap splice failure (a) Çagatay (2005) (b) Elwood (2006). 
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 Column Shear Damage 

Some of the columns with improper detailing could not resist the large shear demand and 

attained their shear capacity, causing visible shear cracks on the columns and brittle type of 

column shear damage (Fig. 1.18). The large stirrup spacing decreased the shear capacity of the 

columns. In addition, the low-strength concrete has contributed to the shear cracks developed 

on the columns. Moreover, the aggregate interlock mechanism, one of the primary sources of 

concrete shear strength, is not sufficient due to the improper gradation of aggregates. Overall, 

the shear cracks took place at the column members as a result of several deficiencies.  

 

 

 

   

Fig. 1.18. Column shear damage (Yurdakul et al. 2021). 

Crack width 2.5-3.0 mm 



30 1.3 RC Column Damage  
 

 Short Column 

In many cases, the effective height of the column can be much less than the story height. The 

reduction in the column's effective height can be due to the structural and non-structural 

restrictions of the lateral displacement of the columns. The stiffness of such columns increases 

considerably in proportional to the reduction of column effective height, resulting in an 

excessive increase in the column shear demand during seismic excitation. When the short 

column phenomenon is combined with the substandard RC column detailing, the column shear 

failure is unavoidable, as seen in Fig. 1.19a-c. 

  

(a) 

  

(b) (c) 

Fig. 1.19. Short column due to structural element (a) Elazığ 2020 earthquake, Turkey (Yurdakul et al. 2021) (b) 

Van 2011 earthquake, Turkey (Öztürk 2015) (c) L’Aquila 2009 earthquake, Italy (Ricci et al. 2011). 
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 Captive Column 

The restricted column lateral displacement can also reduce the column's effective height due to 

the non-structural components. Such a phenomenon called the captive column is generally 

observed in columns adjacent to ribbon windows (Fig. 1.20). If the infill wall beneath the ribbon 

window has sufficient strength and stiffness to restrict the lateral displacement of the column, 

the effective height of the column is reduced to the height of the ribbon window. Therefore, 

shear demand on the captive columns increases tremendously as a result of its increased lateral 

stiffness. When the shear capacity of the captive column is not sufficient to resist the increased 

shear demands, column shear failure becomes inevitable.  

  

   

Fig. 1.20. Captive column due to ribbon window (Yurdakul et al. 2021). 
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 Accidental Captive Column 

The brittle shear damage can be observed in some of the columns interacting with the infill 

wall. The damage pattern in the column is formed with the same phenomenon in captive or 

short column damage (i.e., brittle-type shear damage). However, the frames of such columns 

have masonry infill walls without any openings. The shear damage at columns similar to the 

short or captive column damage can be seen in Fig. 1.21a and b. Although the captive columns 

are not expected for columns of frames having infill walls without openings, severe shear cracks 

were observed as in the cases shown in Fig. 1.21a and b. The corner region of the infill walls 

crushes due to the excessive axial load developed in the diagonal struts, while the lower parts 

of the infill wall below the corner region are intact. The upper part of the column, which is in 

contact with the corner region of the infill crushed locally, can displace laterally. On the other 

hand, the lateral displacement of the rest of the column is restricted by the diagonal struts 

developed in the lower part of the infill. Reducing the unsupported length of the column 

increases the shear demand. If the strength of the diagonal strut developed on the infill wall is 

greater than the shear strength of the column, then the brittle type of column shear failure is 

very likely, as in the case of captive columns. Note that the seismic response of the 

corresponding frames is affected by the material and geometric characteristics of the infill walls 

and columns. Therefore, in RC buildings with low-strength concrete, reinforcement with 

improper detailing, and infills with good quality (strength of infill units, mortar, and plaster is 

good), accidental captive column damage is highly probable. 
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(a) 

   

(b) 

Fig. 1.21. Accidental captive column (a) Elazığ 2020 earthquake, Turkey (Yurdakul et al. 2021) (b) İzmir 

Seferihisar 2020 earthquake, Turkey (Photo Credit: Özgür Avşar). 
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1.4 Repairability of RC Columns 

Depending on the damage level, RC buildings and their structural components that exhibited 

moderate to severe structural damage should be repaired or demolished. A comprehensive 

literature review of codes, standards, guidelines, and relevant scientific studies (FEMA P58 

2018; FEMA 306 1998; ESM 98 1998; JBDPA 2001; fib Bulletin No. 25 2003; JRC 2007; 

Nakano et al. 2004; Cardone 2016; HAZUS MR4 2003; Mergos and Kappos 2013) for the 

reparability of RC columns is summarized in Table 1.1. The damage state in the RC column is 

defined by the damage level (DL) characterizing the severity and extent of the macroscopic 

damage at the RC members or building. According to recognized literature (FEMA 306 1998; 

JRC 2007; FEMA P58 2018), the damage indicators are classified into five groups. Then, the 

corresponding damage classification belonging to available codes, guidelines, or relevant 

studies is paired with identical damage levels. It is worth noting that the association of the 

damage classification to a specific damage level may have significant differences depending on 

the considered reference document. An extensive overview of available literature on damage 

classification is conducted to select the most reliable damage classification. The qualitative 

definitions of damage levels indicated in recognized literature (FEMA 306 1998; JRC 2007; 

FEMA P58 2018) are as follows:  

• Damage Level 1 (DL1) represents negligible to slight damage (e.g., cosmetic 

damage) on the RC member with hairline cracks. Finishing work is required for 

structural members. 

• Damage Level 2 (DL2) corresponds to slight structural damage. The intensity of 

damage is light and visible cracking of concrete can be observed on structural 

members. The crack widths are wide enough for epoxy injection with no further 

repair action. 

• Damage Level 3 (DL3) is associated with the apparent macroscopic damage at RC 

components. They are graded as moderately damaged, and the building is 

uninhabitable. The wide cracks, the onset of concrete spalling, and the local 

concrete crushing are expected at DL3. The capacity and stiffness of the component 

can be restored by proper repair action (i.e., epoxy injection and concrete patching). 

• Damage Level 4 (DL4) indicates heavy damage at members. Severe shear/flexural 

damage or even partial collapse of a few members could be encountered. The repair 

action requires a massive reconstruction and intrusive repair procedures. 
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• Damage Level 5 (DL5) denotes the very heavy damage at RC members and the 

incipient collapse of the structure. Severe damage at members, concrete crushing, 

reinforcement buckling, significant reduction at member resistance, leaning of the 

building, and loss of stability are expected in this damage level. Realizing a repair 

is very difficult, time-demanding, costly, and not practical. 
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Table 1.1. Summary of damage levels and corresponding repair actions.  

  

EMS 98 (1998) 

(building 

level) 

FEMA 306 

(1998)  

(shear walls) 

JBDPA (2001) 

(columns and 

walls) 

fib Bulletin 

No.25 (2003) 

(columns) 

AeDES (JRC 

2007) 

(columns) 

FEMA P58 (2018) 

Nakano et 

al. (2004) 

(columns) 

Cardone (2016) 

(ductile weak 

columns) 

Mergos and 

Kappos 
(2013) 

(columns) 

HAZUS MR4 

(2003) (for 
pre-code 

frames) 

 

Damage 
level 

Notes  

Building 

level (DS for 
residual 

capacity) 

Non-

conforming 

weak columns 

 

DL1 

Definition 

Grade 1: 

Negligible to slight 
damage (no structural 

damage) 

Null damage 

Visible narrow 

cracks on concrete 

surface 

Cosmetic (No 

structural 

damage) 

D0: No damage DS0 

Cosmetic (no 

structural 

damage) 

Narrow 
cracks 

Null damage Null None 

 

Imposed drift              

Residual drift              

Maximum crack width             

Residual crack width   <0.2 mm <1.0 mm    <0.2 mm     

Notes on repairability            
Repair of 

finishing 
       

 

DL2 

Definition 
Grade 2: Moderate 

damage (slight 

structural damage) 

Minor 
Visible clear 

cracks on concrete 

surface 

Onset of 
cracking due to 

lateral effects 

D1: Slight 

damage 
DS1 DS0 

Visible 

cracks 
Light cracking  Minor damage 

Slight 
structural 

damage 

 

Imposed drift       1.5%    0.40%  

Residual drift      0.2%       

Maximum crack width             

Residual crack width 
Cracks in columns 

and beams of frames 
<1.6 mm 

>0.2 mm 
<1.0 mm 

>1.0 mm 
<3.0 mm 

<0.5 mm   <1.5 mm 
>0.2 mm 
<1.0 mm 

<1.0-1.5 mm 

<2.0 mm (flexural) 

<2.0 mm (bond) 

<0.5 mm (shear) 

Hairline 
cracks  

 

Notes on repairability       Epoxy injection     Epoxy injection   Epoxy injection     

DL3 

Definition 

Grade 3: Substantial 

to heavy damage 
(moderate struct. 

damage) 

Moderate 

Remarkable wide 

cracks, local 

concrete crushing 

Crushing and 

spalling of 

concrete 

D2-D3 

medium-severe 

damage 

DS2 DS1 
Remarkable 
wide cracks 

Onset of 

concrete 

spalling 

Moderate damage 

Moderate 

structural 

damage 

 

Imposed drift             2.0%      0.60%  

Residual drift           0.5%           

Maximum crack width                       

Residual crack width 

Cracks in columns 

and beam-column 

joints 

<3.2 mm 
>1.0 mm 
<2.0 mm 

>3.0 mm <2-3 mm    >1.5 mm 
>1.0 mm 
<2.0 mm 

>3.0 mm 
<5.0 mm  

Spalling (flexure) 

>2.0 mm (bond) 

>0.5 mm (shear) 

Larger shear 

cracks and 

spalling 

 

Notes on repairability        
Too wide for 

epoxy injection 
    

Threshold for 

economic 

feasibility of 
repair 

 
Replacement  

of spalled  

concrete 

   

 

 



Chapter 1 - Introduction 37 
 

 

Table 1.1 (cont.). Summary of damage levels and corresponding repair actions. 

DL4 

Definition 

Grade 4: Very heavy 

damage (heavy 
structural damage) 

Heavy 
Remarkable crush 

of concrete 

Reinforcement 

buckling 

D4: very heavy 

damage and/or 
collapse 

DS3 
Spalling of 

concrete  

Spalling of 

concrete 

Onset of 

concrete 
crushing 

Severe 

Extensive 

structural 
damage 

 

Imposed drift       2.5%    1.60%  

Residual drift     1-2% 1%       

Maximum crack width             

Residual crack width 
Large cracks in 

structural elements 

>3.2 mm 

<9.5 mm 
>2.0 mm  >3.0 mm   >2.0 mm   

Crushing (flexure) 

Fix-end and pull-

out related cracks 
(bond) 

>1 mm (shear) 

Shear/bond 

failure, partial 
collapse 

 

Notes on repairability 
Collapse of a few 

columns  
     

 Limit of partial 

collapse of the 
main structural 

components 

Repair may 

not be 
economically 

feasible 

Repair may 

 not be 
economically 

feasible 

Remarkable 
crush with 

exposed 

reinforcing 
bars  

Remove and 

recast concrete 

portions  

   

 

DL5 

Definition 

Grade 5: Destruction 

(very heavy structural 
damage) 

Extreme 

Visible settlement 

and/or leaning of 
the building 

Loss of gravity 

load capacity 

D5: total 

collapse 
DS4 

Concrete core 

crushing 

Loss of 

stability 
Null  Null 

Complete 

structural 
damage 

 

Imposed drift       3.22%    4.00%  

Residual drift      1-4%       

Maximum crack width            
 

Residual crack width   Cracks in core 

concrete 
         

Notes on repairability 

Collapse of ground 

floor or parts of 
buildings 

      

Total collapse 
of the main 

structural 

components  

Repair may 
not be 

economically 

feasible 

Repair may  
not be 

economically 

feasible 

     
Loss of frame 

stability 
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1.5 Research Objective and Scope 

The current study proposes a feasible repair strategy for heavily damaged [i.e., axial failure 

with significant bond] RC columns by CFRP. Within the content of this study, the experimental 

responses of both as-built and repaired RC columns are investigated, which is achieved for all 

specimens through laboratory tests and experimentally validated numerical models. 

This study mainly aims to investigate the efficiency of an advanced material (i.e., CFRP) as a 

repair strategy. The deficient RC columns with low-strength concrete, plain round bars, and 

improper reinforcing schemes are selected to be representative of the building inventory in both 

developed and developing countries. The specimens first expose to cyclic action, then the pre-

damaged specimens are repaired by CFRP. Those are tested again under the same loading 

action, and the performance of as-built and repaired specimens are compared.  

Another objective of the current research program is to generate an experimentally validated 

numerical model of all specimens. Thus, the experimental response of the specimens is not only 

well-characterized by the numerical model, but also the stress/strain development and cracking 

patterns are adequately reproduced in the FE environment. This provides insight into details 

that cannot be revealed in the tests.  

Given the aforementioned information, the basic premises of this study, in the order of the 

conducted methodology, can be summarized as follows: 

i. Examining the experimental performance of full-scale substandard RC columns 

with combined failure modes (i.e., axial failure with significant bond 

deterioration) imposed by cyclic loading.   

ii. Developing a repair action after severe damage (i.e., repair strategy) by the use 

of advanced material, i.e., CFRP.  

iii. Validating the numerical models against the experimental performance. 

1.6 Manuscript Organization 

This research context is organized into five main chapters. The output of the study and its 

context are presented in this chapter, while the next chapters are introduced as follows: 
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Chapter 2 presents the experimental program. The details such as the design of specimens, test 

setup, instrumentation, and loading procedure are comprised as well. The design methodology 

for CFRP-repaired columns is also included in this chapter. 

Chapter 3 deals with the numerical modeling approach. A general view of numerical modeling 

techniques is included in this chapter. A summary of available material models for the 

compressive/tensile behavior of concrete, yield/failure functions for concrete material, 

reinforcing material models, FRP material, and interface models are presented. 

Chapter 4 presents the exhibited experimental performance of as-built and CFRP-repaired RC 

columns. The hysteric behavior and the response parameters of prime interest are summarized 

in this chapter. The effectiveness of numerical models (i.e., comparison with experimental 

response) is included as well.  

Chapter 5 deals with concluding remarks drawn from this study and the summary of the 

habilitation thesis.  
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2 EXPERIMENTAL 

PROGRAM 

2.1 Specimen Design 

The cantilever column with a single curvature response is taken from the theoretical infection 

point of the RC frame, where the moment is zero under lateral load. The flexural response with 

significant bond degradation and axial failure is the target failure mode, which is also observed 

by the author on field inspections after damaging earthquakes (see Chapters 1.3.1 and 1.3.3). 

Therefore, actual site conditions to reach the target failure mode are imitated in the 

manufactured specimens. The full-scale test specimens, representing the RC column with single 

footing, are constructed by considering the most common deficiencies. The basic geometrical 

and material parameters of ordinary pre-70s structures with substandard configuration are 

summarized in Chapter 1.2. In dimensioning and detailing the tested RC column specimens, 

the presented common parameters and existing deficiencies for ordinary pre-70s structures (i.e., 

low-strength concrete, plain round bar, and improper reinforcing scheme) are considered (Table 

2.1). 
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Table 2.1. Target geometrical and material parameters retrieved from available literature. 

Parameter 

Literature (Chapter 1.2) 
Current 

Study 
Remarks 

Mean µ 
Coefficient 

of variation 
Cv

 

Story height [m]* 2.87 0.10 3.00 
Single curvature test of cantilever column with a height 

of 1.75 m (1.50 m at loading point-story height 3.00m)  

Column width [mm]* 255 0.08 350 
A symmetrical column is adopted 

Column depth [mm]* 535 0.25 350 

Longitudinal 

reinforcement steel ratio* 
0.96-1.14% 0.12-0.33 1.00% Minimum in EN 1992-1 (CEN 2004a): 1.00%  

Reinforcing steel yield 

strength [MPa]+ 
371.10 0.24 275 Plain round bar  

Transverse reinforcement 

diameter [mm]* 
8.00 0.02 8.00 Plain round bar, closed hoop with 90o hook 

Transverse reinforcement 

spacing [mm]* 
181.21 0.20 150 Selected according to construction practices 

Lap splice c 50db N/A 50db Obtained from the investigated blueprints 

Concrete compressive 

strength [MPa] 

10.64# 

16.73+ 

N/A# 

0.51+ 
Table 2.2 

Low-strength concrete with improper mix-design, poor 

compaction and segregation  

Axial load ratio [N/Acfc]c 0.32 0.53 
0.32 and 

0.15 

Based on the 284 observations in the buildings located 

in İstanbul, Turkey. 

Mean value for high axial load ratio, µ= 0.32 Lower 

boundary of the prominent range referring to low axial 

load ratio, µ-σr=0.15 

*Ozmen et al: (2015), +Bal et al. (2008), #Mazılıgüney et al. (2008), and cCurrent study 

Three different reinforcing schemes are used (Fig. 2.1a-c). The first group of columns is 

constructed with continuous longitudinal bars without lap-splice length (Fig. 2.1a). The second 

group refers to confirming configuration with sufficient lap-splice length and hooks at the ends 

of the plain reinforcing steel (Fig. 2.1b). The third reinforcing scheme is a non-conforming 

configuration without hooks (Fig. 2.1c). Note that the continuous reinforcing steel without lap-

splice (Fig. 2.1a) does not represent the actual detailing configuration; in turn, the theoretical 

considerations assume a perfect connection at a lap-splice distance. Those are also summarized 

in Table 2.2.  
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(a) (b) (c) 

Fig. 2.1. Reinforcement scheme (a) continuous without lap-splice length (b) confirming configuration with 

hooks (c) non-conforming configuration without hooks. 

To establish the relative effect of high and low axial load, two levels of axial load ratio σn are 

implemented. Note that the mean value µ of axial load ratio σn is 0.32 in the analyzed buildings 

(see Chapter 1.2.2.4). The standard deviation σr is computed as 0.17. The mean value of the 

statistical data refers to a high axial load ratio (0.32) in this study. Since the axial load 

contributes to the bond performance, the lower axial load ratio is assumed, which is the lower 

boundary of the prominent range of the statistical data (i.e., 0.15.; µ- σr). The summary of 

specimens can be seen in Table 2.2. 

2.2 Test Setup, Procedure, and Instrumentation 

In the test, the cantilever column with a total height of 1.75 m (2.25 m with footing) is positioned 

vertically and fixed to a strong floor. Two actuators with a capacity of 630 kN, at which constant 

axial load is applied, are fixed to the beam of the loading frame. The lateral displacement with 

increasing amplitude is applied by the actuator with a capacity of 250 kN, which is fixed to the 

loading column through hinges and rigid steel plates. Moreover, the out-of-plane movement of 

specimens is restricted by supporting the loading beam laterally (Fig. 2.2).  
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Fig. 2.2. Test setup. 

The intensive level of the damage is simulated by the imposed quasi-static cyclic displacement, 

which is carried out up to specified displacement levels (Fig. 2.3). FEMA 461 (2007) is the 

guiding document for the displacement protocol, which may be implemented for drift-sensitive 

structural and nonstructural components. Two cycles with a loading speed of 1 mm/s are 

imposed in each loading amplitude not to induce any dynamic effects during the testing. It 

should be emphasized that the notified drift ratio represents the ratio of measured lateral 

displacement to column height (i.e., 1.50 m). The displacement pushing the column tip 

represents the positive loading direction, while the negative loading direction is achieved when 

pulling the specimen.  

 
Fig. 2.3. Displacement history. 

The hydraulic actuator-integrated linear variable differential transducer (LVDT) measures the 

column tip displacement. Simultaneously, the hydraulic actuator-integrated load cells record 

the lateral force (i.e., column shear) along with the constant column axial force. Contactless 

laser displacement transducers monitor the column base deformation. The strain gauges are 

placed in the half Wheatstone bridge configuration to the reinforcing steel to measure the strain 

at different displacement levels. All data from the measuring tools are recorded by dynamic 

data acquisition simultaneously. The position of the sensors is depicted in Fig. 2.4. 
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Fig. 2.4. Instrumentation on specimens. 

2.3 Repair Design 

The design philosophy in rehabilitating RC specimens is to attain the initial capacity, upgrade 

the performance of structural members, delay or eliminate brittle failure modes, and initiate the 

formation of flexural plastic hinges to attain a ductile behavior (El-Amoury and Ghobarah 

2002). In dimensioning CFRP sheets, such a philosophy is implemented in four different 

approaches: (i) flexural strengthening; (ii) shear strengthening; and (iii) ductility strengthening. 

 Flexural Strengthening 

In the flexural design, the contribution of the existing longitudinal bars is neglected. It was 

assumed that the ultimate longitudinal force in the reinforcing steel would be carried only by 

the corresponding CFRP sheets while other premature failures were prevented. The 

contribution of CFRP to flexural strength Vfrp,F is evaluated according to Eq. (2-1). Note that 

Vfrp,F should be equal to- or higher than the ultimate longitudinal force in the reinforcing steel 

exerted during the test. Since the test results are known, it is computed accordingly. If not, the 

section analysis can be performed to find corresponding forces in the reinforcing steel.  

 𝑉𝑓𝑟𝑝,𝐹 = 𝑛𝑓𝑤𝑓𝑡𝑓𝐸𝑓𝜀𝑓𝑒 Eq. (2-1) 

Here, nf  is the number of CFRP layers, wf is the width of the CFRP layer, tf  is the thickness of 

the CFRP layer, Ef is the elastic modulus of the CFRP layer, and εfe is the effective strain 

described in ACI 440.2R-17 (2017) for flexural strengthening, which is:  

Dimensions in mm 
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 𝜀𝑓𝑒 = 𝜀𝑐𝑢 [
𝑑𝑓 − 𝑐𝑠

𝑐𝑠
] − 𝜀𝑏𝑖 ≤ 𝜀𝑓𝑑 Eq. (2-2) 

where εcu ultimate compressive strain, df effective depth of FRP, cs is the distance from extreme 

compression fiber to the neutral axis, εbi initial strain of bonded substrate, which can be 

determined from elastic analysis, and εfd debonding strain, which is defined as: 

 𝜀𝑓𝑑 = 0.41√
𝑓𝑐

𝑛𝑓𝐸𝑓𝑡𝑓
≤ 0.9𝜀𝑓𝑢 Eq. (2-3) 

where εfu is the ultimate FRP strain while other parameters are defined above.  

 Shear Strengthening 

In the shear design, the contributions of the existing shear reinforcement and concrete are 

neglected. It is assumed that the required additional shear strength Vfrp, required is assumed to be 

equal to the experimental column shear force Vc. If experiment results are not available, the 

result from analytical or computer analysis can be used.  

Following ACI 440.2R-17 (2017), the required FRP layer can be computed.  

 𝑉𝑓𝑟𝑝,𝑟𝑒𝑞𝑢𝑖𝑟𝑒𝑑 =
𝑉𝑐

𝜙𝑠𝜓𝑓
 Eq. (2-4) 

where Vc experimental column shear, ϕs is the safety factor; 0.85, and ψf is the strength reduction 

factor; 0.95. The contribution of FRP to shear strength Vfrp,S is computed following ACI 440.2R-

17 (2017). 

 𝑉𝑓𝑟𝑝,𝑆 =
𝐴𝑓𝑣𝐸𝑓𝜀𝑓𝑒(sin 𝛼 + cos 𝛼)𝑑𝑓,𝑠

𝑠𝑓
 Eq. (2-5) 

where Ef is the elastic modulus, εfe is the effective strain, which is 0.004 ≤ 0.75εfu according to 

ACI 440.2R-17 (2017), (here, εfu is the rupture strain of CFRP), α is the angle of FRP sheet (see 

Fig. 2.5), df,s is the height of FRP from end to the center of longitudinal reinforcement level (see 

Fig. 2.5), and Afv for rectangular sections is as follows.  

 𝐴𝑓𝑣 = 2𝑛𝑓𝑤𝑓𝑡𝑓 Eq. (2-6) 

The other variables are defined in the previous section, while some are also visually presented 

in Fig. 2.5. 
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Fig. 2.5. Illustration of the dimensional variables used in shear-strengthening calculations for repair, retrofit or 

strengthening using FRP laminates (figure from ACI 440.2R-17 (2017)). 

 Ductility Enhancement 

More complex calculations to determine the capability of a member to sustain rotation and drift 

without a substantial loss in strength are required. The observed ductility of tested RC columns 

should be restored. To do so, the required number of FRP layers should confine the plastic 

hinge region. Following ACI 440.2R-17 (2017) procedure, the displacement ductility can be 

obtained as follows:  

Step 1- Obtain the yield and ultimate 

curvature, and corresponding moments from 

moment-curvature (M-ϕ) analysis for a 

completely wrapped section with n transverse 

plies, where n is the number of layers. 

Yield curvature ϕy,frp , ultimate curvature ϕu,frp and 

corresponding yield moment capacity My,frp, ultimate 

moment capacity Mu,frp 

Step 2-Compute the displacement ductility μd.  

Step 2.1-Obtain plastic hinge length Lp  For FRP retrofitted members, refer ACI 440.2R-17 (2017) 

𝐿𝑝 = 𝑔 + 0.044𝑓𝑦𝑑𝑏  

where db is the diameter of the flexural steel, fy is the yield 

stress of flexural steel, and g is the clear gap between the FRP 

jacket and adjacent members. 

Step 2.2-Obtain the effective length Leff For single curvature, 𝐿𝑒𝑓𝑓 = 𝐿 

For double curvature, 𝐿𝑒𝑓𝑓 = 𝐿/2 

where L is specimen height. 

Step 2.3-Obtain the yield deflection Δy,frp 
𝛥𝑦,𝑓𝑟𝑝 =

𝜙𝑦,𝑓𝑟𝑝𝐿𝑒𝑓𝑓
2

3
 

Step 2.4-Obtain the plastic deflection Δp,frp 
𝛥𝑝,𝑓𝑟𝑝 = (𝜙𝑢,𝑓𝑟𝑝 − 𝜙𝑦,𝑓𝑟𝑝)𝐿𝑝 (𝐿𝑒𝑓𝑓 −

𝐿𝑝

2
) 

Step 2.5-Obtain the displacement ductility μd 
𝜇𝑑 = 1 + (

𝛥𝑝,𝑓𝑟𝑝

𝛥𝑦,𝑓𝑟𝑝
) 
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The steps can be repeated by changing the FRP layer in the section analysis until the target 

displacement ductility μd is achieved.  

 Anchor Design 

The transverse wraps anchor the longitudinal FRP placed for flexural strengthening in the 

column. The longitudinal FRP is extended to the footing and anchored to the footing by FRP 

fiber anchors. The development length of FRP in footing (i.e., extension of FRP from column 

to footing) is approximated to ACI 440.2R-17 (2017) proposal, which is as follows: 

 𝑙𝑑𝑓 = √
𝑛𝑓𝐸𝑓𝑡𝑓

√𝑓𝑐
 Eq. (2-7) 

where ldf is the development length, while other parameters are described in previous sections. 

The design anchor length of FRP fiber anchors for anchoring the extended FRP to the footing 

is assumed to be the same as the bond of near-surface mounted systems which is in accordance 

with ACI 440.2R-17 (2017). 

 𝑙𝑑𝑏 =
𝑑𝑏𝑎
4𝜏𝑏

𝑓𝑓𝑑 Eq. (2-8) 

where ldb is anchor length, dba is the diameter of the fiber anchor, ffd is the design axial stress in 

the anchor, and τb is the bond stress, which is equal to 6.9 MPa according to ACI 440.2R-17 

(2017). 

2.4 Structural Repair 

MAPEI company supports the current research program by providing CFRP material and 

passive technical support. Therefore, the MAPEI CFRP and its related products are used. 

Following the previous chapter, the weight of CFRP per m2 is dimensioned. 2 layers of 300 

g/m2 CFRP in the longitudinal direction and 1 layer of 300 g/m2 CFRP in the transverse 

direction is used. The longitudinal CFRP is used to recover the flexural capacity. The pull-out 

failure due to extensive slip of the plain round bar is prevented as well. The part of the 

longitudinal CFRP layers extended to the foundation is anchored by CFRP fan anchors to the 

foundation. CFRP layers in the lateral direction help to increase shear capacity and 

displacement ductility with provided confinement pressure. Those also anchor the longitudinal 

CFRP layers. After finding the required level of CFRP, the step-by-step description of the 

structural repair is visually presented in Fig. 2.6. 
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Step 1-Unloading the specimen 

from test-setup 

Step 2-Removing the loosen 

concrete 

Step 3-Formwork for repair 

mortar 

Step 4-Applied repair mortar 

    

Step 5-Rounding column-

foundation interface 
Step 6-Rounding sharp corners 

on column 
Step 7-Crack filling by epoxy 

injection 
Step 8- Wet epoxy resin 

application for fiber anchor 

    

Step 9-Sanding fiber anchor Step 10-Primer application Step 11-Putty concrete 

application 

Step 12-Dry epoxy resin 

application 

     

Step 13-CFRP sheet wrapping Step 14-Chemical anchor for 

fiber anchors 
Step 15-Final product 

Fig. 2.6. Repair of RC column by CFRP. 

 

CFRP layer in  

transverse direction 

CFRP layer in  

longitudional direction 

Fan anchors 
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Table 2.2. Details of tested specimens. 

 Specimen 

Parameter E1-NC-L E1-NC-H E1-C-L E1-C-H E1-T-L E1-T-H E1-NC-L-R E1-NC-H-R E1-C-L-R E1-C-H-R E1-T-L-R E1-T-H-R 

Configuration Fig. 2.1c Fig. 2.1c Fig. 2.1b Fig. 2.1b Fig. 2.1a Fig. 2.1a 

Reparation 

of 

E1-NC-L 

Reparation 

of 

E1-NC-H 

Reparation 

of 

E1-C-L 

Reparation 

of 

E1-C-H 

Reparation 

of 

E1-T-L 

Reparation 

of 

E1-T-H 

Description As-built Repaired after pre-damage following the procedure in Fig. 2.6 

Repair Scheme N/A CFRP 

Concrete Compressive Strength 

fc [MPa] 
12.52 11.95 12.77 11.93 12.46 12.12 

Same as  

E1-NC-L 

Same as  

E1-NC-H 

Same as  

E1-C-L 

Same as  

E1-C-H 

Same as  

E1-T-L 

Same as  

E1-T-H 

Column 

Reinforcement 

(Plain round 

bar) 

Top 3ɸ14 

Intermediate 2ɸ14 

Bottom 3ɸ14 

Transverse ɸ8/150 

Lap-Splice 50db 50db 50db 50db 
No Lap-

Splice 

No Lap-

Splice 

Same as  

E1-NC-L 

Same as  

E1-NC-H 

Same as  

E1-C-L 

Same as  

E1-C-H 

Same as  

E1-T-L 

Same as  

E1-T-H 

Footing 900 x 1200 x 500 mm 

Column Cross-Section 350 x 350 x 1750 mm 

Axial Load Ratio (σn=N/Acfc) 0.15 0.32 0.15 0.32 0.15 0.32 0.15 0.32 0.15 0.32 0.15 0.32 

Application of Displacement Single Curvature Column Test-Column Tip 

Loading Protocol 2 Repetition per Cycle (FEMA 461 2007) 

Failure Mode 

Bond-

slip/ 

Axial 

Failure 

Bond-

slip/ 

Axial 

Failure 

Bond-

slip/ 

Axial 

Failure 

Bond-

slip/ 

Axial 

Failure 

Bond-

slip/ 

Axial 

Failure 

Bond-

slip/ 

Axial 

Failure 

Flexure/ FRP 

Debonding 

Flexure/ 

FRP 

Debonding 

and Fracture 

Flexure/ 

FRP 

Debonding 

Flexure/ 

FRP 

Debonding 

and Fracture 

Flexure/ 

FRP 

Debonding 

Flexure/ 

FRP 

Debonding  

and Fracture 

C: Conforming hook detail  

NC: Non-conforming hook detail  

T: Continuous reinforcing steel without lap-splice 

 

L: Low axial load  

H: High axial load 
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3 NUMERICAL STUDY 

As computer-aided nonlinear analysis is now available for RC members, refined numerical 

models allow for reproducing the response of substandard members with satisfactory accuracy. 

This chapter briefly presents the numerical modeling strategies in a user-friendly computer tool 

ATENA software (ATENA Program Documentation, Part 1 2014), used for reproducing the 

response of RC column with combined failure modes (i.e., bond failure with flexural and axial 

damage). As reproducing the premature failure of substandard RC columns in the FE 

environment is often challenging, the knowledge of the current state of modeling strategies is 

included in this chapter. Moreover, the modeling strategies, theory, and material constitutive 

laws are discussed in depth. All numerical models are then verified by the experimentally 

obtained responses. 

3.1 Numerical Model Description 

The geometry of RC members was defined by the hexahedral element (CCIsoBrick). The 

reinforcement was defined by a 1D beam element. The FE model was created by assembling 

all parts, which include 1D reinforcing elements, a 3D column base and a 3D column with 

fracture/plastic material properties, and 3D loading/support plates with elastic material 

properties. A similar boundary condition of the experiment was assigned in the numerical 

solution. Generating the optimum FE model is essential to optimize the FE solution because it 

is fairly sensitive to convergence, computational time, and accuracy. A mesh with a size of 35 
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mm was found as an optimum. The displacement was applied to an elastic plate as loading from 

the concrete geometry results in divergence issues. The standard Newton-Rapson method was 

used for solving the numerical problem. 30 iterations were performed in each loading step. error 

tolerances were 0.015, 0.015, 0.015 and 0.015 for displacement, residual, absolute residual, and 

energy error tolerances, respectively. 

3.2 Material Constitutive Laws 

 Concrete 

The concrete geometry was modeled by the hexahedral element CCIsoBrick. The constitutive 

models of tensile (fracturing) and compressive behavior were combined in 

CC3DNonLinCementitious2 (a fracture-plastic concrete model) in the software. The 

compressive strength of the concrete fc was obtained in a material test. The remaining modeling 

parameters were derived from the compressive strength fc. To define the compressive behavior 

of the concrete, it was referred to Van Mier (1986), who considered the elliptical hardening and 

linear softening behavior (Fig. 3.1a and b). The hardening part is strain-based, whereas the 

linear softening part considers the plastic displacement wd. The relation between deformation 

(i.e., plastic displacement wd under compression and crack opening at full stress release wc) and 

strain ε was obtained by crack band theory (Bazant and Oh 1983). The deformation w is defined 

as w = εLt, where Lt is the size of the element corresponding to the projection of the element 

perpendicular to the crack direction. A relation in a form of Gauss's function was adopted to 

describe the reduction of compressive strength in the cracked concrete. The parameters were 

derived from the experimental data published by Kollegger and Mehlhorn (1988), which also 

includes the test data of Vecchio and Collins (1986) (ATENA Program Documentation, Part 1 

2014). The strength reduction factor c in the cracked concrete (see Fig. 3.1c) was defined in 

Dyngeland (1989). Note that no strength reduction was assumed in the uncracked concrete. The 

compressive strength begins reducing after the cracking event, which occurs under the strain εcr 

in Fig. 3.1c. The surface sharpness in the failure evolution was controlled by the Menetrey and 

Willam (1995) failure surface with eccentricity parameter e ‹0.5, 1.0›. 
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(a) (b) (c) 

Fig. 3.1. (a) Concrete behavior under compression, (b) Compression softening, (c) Strength reduction in the 

cracked concrete (ATENA Program Documentation, Part 1 2014). 

The tensile behavior of the plain concrete was assumed uncracked in the elastic region. The 

exponential softening relation between the stress in the crack σ and the crack width w in the 

post-elastic region was defined as described in Hordijk (1991). Tension stiffening due to 

additional strength and stiffness provided by the heavily reinforcement is specified as 40% of 

the tensile strength of the concrete fct following fib (2010) (Fig. 3.2a). The fracture model 

combined the smeared crack concept with the crack band theory of Bazant and Oh (1983). The 

software adopted the fixed crack model of Cervenka (1985), which assumes a fixed crack 

direction after initiation. As the orthotropic and principal strain axes did not overlap, a shear 

crack developed on the crack face. Concrete cracking was subjected to the Rankine failure 

criterion (Rankine 1857). The relative effect of aggregate interlock is assumed by defining 

maximum aggregate size (e.g., 16 mm). The reduction in the shear stiffness after cracking was 

described following Kolmar (1986). Increasing the strain, which was normal to the crack 

direction, reduced the shear modulus. The relationship between the reduction in the shear 

stiffness and the transverse reinforcement ratio was also considered in the model (Fig. 3.2b). 

All values are summarized in Table 3.1. 

  

(a) (b) 

Fig. 3.2. (a) Tension softening and (b) Shear retention factor (ATENA Program Documentation, Part 1 2014). 

fc 
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Table 3.1. Summary of adapted concrete material properties.  

Parameter Value 

Compressive Strength, fc [MPa] Material Test Results (see Table 2.2) 

Compressive Hardening Elliptical Hardening (Van Mier 1986) 

Compressive Strain, εco [mm/mm] 0.002 (CEN 2004a) 

Compressive Softening Linear (Van Mier 1986) 

Plastic Displacement, wd [m] Duran et al. (2017) 

Compressive Strength Reduction Factor in the Cracked Concrete Dyngeland (1989) 

Elastic Modulus, Ec [MPa] fc/εco (Van Mier 1986) 

Tensile Strength, fct [MPa] 0.30fc
2/3 (fib 2010) 

Fracture Energy, Gf [N/m] 73fc
0.18 (fib 2010) 

Tension Softening Exponential Function (Hordijk 1991) 

Tension Stiffening 0.40fct (fib 2010) 

Cracking Criterion Rankine Failure (Rankine 1857) 

Stress in the Crack Fixed Crack (Cervenka 1985) 

Crack Spacing Crack Band (Bazant and Oh 1983) 

Aggregate Interlock Maximum aggregate size (16 mm) 

Shear Modulus Reduction in Cracked Concrete Kolmar (1986) 

Yield Surface Menetrey and Willam (1995) 

 Reinforcing Steel 

The longitudinal reinforcing bars were defined as truss elements in a bilinear elastoplastic 

model considering the hardening behavior. The Menegotto and Pinto model (1973) for the 

nonlinear cyclic material behavior of reinforcing steel was employed. The average ultimate 

strain reached at failure was 40.7 %. However, the strain after reaching the ultimate tensile 

strength (strains at necking plateau) is neglected. In the bilinear model, the ultimate strain is 

limited to strain at peak strength, which is 19%. The yielding strain is computed as 0.14%. The 

measured yield and ultimate strengths in the average sense are 275 MPa and 435 MPa, 

respectively. Elastic modulus is obtained as 199 GPa. Those were summarized in Table 3.2.  
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Table 3.2. Summary of adapted reinforcing steel material properties.  

Parameter Value 

Elastic Modulus, Es [GPa] 199 

Yield Strength, fy [MPa] 275 

Ultimate Strength, fu [MPa] 435 

Ultimate Strain at Peak Strength, εo [mm/mm] 0.19% 

Ultimate Strain, εu [mm/mm] 40.7% 

Compressive Behavior Active 

Cyclic Behavior Menegotto and Pinto (1973) 

 Bond-Slip Model 

The reinforcing bar was fully connected to the surrounding concrete geometry with the limited 

bond strength, which is defined by a CCBarWithBond type element. First, the software derives 

the normal stress in the reinforcing bar. Then, the derivative of normal stress is compared with 

cohesion stress. If the cohesion stress between the reinforcing bar and surrounding concrete 

becomes higher than the defined bond stress, the reinforcement bar slips to reduce the stress 

(ATENA Program Documentation, Part 1 2014). This iterative procedure continues until the 

solution falls within the defined error tolerances. 

For the cyclic response, the bond-model is modified accordingly. When the load started to be 

exerted in the reverse direction, the slip value did not change considerably. On the other hand, 

the bond stress changes its sign (Eligehausen et al. 1983; Verderame et al. 2009; ATENA 

Program Documentation, Part 1 2014). Namely, in the first steps of unloading, the slip value 

was almost constant while the bond strength changed its sign (i.e., null relative bond). Then, 

with the increasing slip, bond stress remained almost constant until the reinforcement bar 

reaches its initial position (i.e., null relative slip). It is henceforth referred to as a semi-circle 

phenomenon. This model also incorporates the Memory Bond Material in ATENA 

software (ATENA Program Documentation, Part 1 2014). The theoretical relationship in the 

software considers positive and negative semi-circles during cyclic excitation. The Memory 

Bond Material assumes two different responses for loading and unloading regime. During the 

loading regime, the software follows the defined bond-slip curve. When bond stress changes its 

sign (i.e., unloading regime), the model exhibits a semi-circular response for the defined 

threshold value. The modeling parameters are obtained from the mathematical expression 
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proposed by the author recently (Yurdakul et al. (2022)), which is visually presented in Fig. 3.3 

and mathematically expressed as follows: 

 

𝜏𝑐(𝑠) =

{
 
 

 
 𝛽𝑐 ×  𝜏𝑐1 (

𝑠

𝑠𝑐1
)
𝛼𝑏

    𝑖𝑓 𝑠 < 𝑠𝑐1

𝛽𝑐 × [0.046𝑠
2 − 0.29𝑠 + 0.77]𝑓𝑐

1/4  𝑖𝑓 𝑠𝑐1 ≤ 𝑠 ≤ 𝑠𝑐2
 𝛽𝑐 × 𝜏𝑐2        𝑜𝑡ℎ𝑒𝑟𝑤𝑖𝑠𝑒

 Eq. (3-1) 

where the variables are: 

  𝜏𝑐1 = 0.60𝑓𝑐
1/4

 Eq. (3-2) 

  𝜏𝑐2 = 0.30𝑓𝑐
1/4

 Eq. (3-3) 

 𝛼 = 0.22 Eq. (3-4) 

 

 𝑠𝑐1 = √
𝑓𝑐
30
   𝑠𝑐2 = 3.0  Eq. (3-5) 

 

𝛽𝑐,𝑏 = 0.855𝑒

𝑓𝑒

𝑓𝑐

2
3

⁄

 for  𝑓𝑒 ≥ 0.05 Eq. (3-6) 

 Bond stress values in MPa 

Slip values in mm 

Here, bond strength-related values for confined concrete, τc1 and τc2, are the corresponding 

maximum and residual ones, respectively. Their corresponding slip values are sc1 and sc2, 

respectively. The shape factor is defined by αb coefficient. The adaptation of the proposed 

relationship accordingly for different confinement pressure provided by the shear reinforcement 

is required. Therefore, fe and βc,b; which are effective lateral confinement pressure (in MPa) and 

confinement factor, respectively; are considered in the bond-slip model for confined concrete. 

In this study, fe is obtained following Mander et al. (1988).  

 
Fig. 3.3. Cyclic bond-slip model for specimens with confinement (Yurdakul et al. (2022)). 
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 Cold Joint 

Since the footing and column is manufactured in different times, the cold joint phenomenon 

occurs. Therefore, a perfect contact between footing and column cannot be assumed. It is taken 

into account by a defined interface between column and footing.  

Following fib (2010) and Randl (2013), the shear capacity of the cold joint with dowel action 

can be computed as follows:  

 
𝜏𝑟 = 𝑚𝑖𝑛 {[ 𝛽𝑐𝜐𝑓𝑐 ], [ 𝑐𝑟𝑓𝑐

1
3⁄ + 𝜇𝑐(𝜎𝑛 + 𝜌𝜅1𝑓𝑦) + 𝜅2𝜌√𝑓𝑐 𝑓𝑦 ]} Eq. (3-7) 

where βc is coefficient allowing for angle of diagonal concrete strut (0.4 for smooth surface), 

 fc is the concrete compressive strength, 

 cr is 0 for smooth surface roughness, 

 μc is friction coefficient (0.6 for smooth surface), 

 σn is the axial load ratio, (N/Acfc), 

 ρ reinforcement ratio, 

 κ1 coefficient of efficiency for tensile force (0.5 for smooth surface), 

 fy yield strength of the reinforcing steel, 

κ2 coefficient for flexural resistance of reinforcement (1.1 for smooth surface roughness) 

υ is reduction factor in strength, which is computed as follows: 

 
𝜐 = 𝑚𝑖𝑛 {[ 0.55 ], [ 0.55 (

30

𝑓𝑐
)

1
3⁄

 ]} Eq. (3-8) 

Following Gerges et al. (2015), the tensile strength of the cold joint fct,j can be computed as 

follows: 

 𝑓𝑐𝑡,𝑗 = 0.25√𝑓𝑐 Eq. (3-9) 

The slip corresponding to ultimate dowel action force is 0.10db -0.20db, where is bar diameter 

(Randl 2013). 0.15db is adopted in this study.  

The tangential stiffness of the interface material is assumed to be the ratio of shear strength with 

dowel action to the slip at maximum dowel action (τr / 0.15db). The nominal stiffness is assumed 

to be ratio of concrete compressive strength fc to displacement at peak strength, which is 0.2 

mm according to Duran et al. (2017). No softening is assumed in the shear strength τr, which is 

defined as cohesion factor in the software. However, a linear tension softening function is 

assumed with tension stiffening at 40% of the tensile strength fct,j. 
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Table 3.3. Summary of cold joint parameters. 

Shear Strength with Dowel Action, τr [MPa] Eq. (3-7) (fib 2010) 

Tensile Strength, fct,j [MPa] 0.25√fc (Gerges et al. 2015) 

Coefficient of Friction, c 0.6 (fib 2010) 

Surface Roughness Smooth 

Slip at Maximum Dowel Action [mm] 0.15db (Randl 2013) 

Displacement at ultimate concrete compressive strength, wo [mm] Duran et al. (2017) 

Tangential Stiffness, Ktt [N/mm3] τr /0.15db 

Nominal Stiffness, Knn [N/mm3] fc /wo 

Cohesion Softening N/A 

Tension Softening Linear 

Tension Stiffening 0.40fct (fib 2010) 
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4 ANALYSIS OF RESULTS 

This chapter deals with the exhibited performance of RC columns and their numerical 

assessment. The hysteric responses of the RC columns are first revealed, and then engineering 

demand parameters of prime interest (e.g., initial stiffness, stiffness degradation, energy 

dissipation, displacement ductility etc.) are computed. The comparison of current experimental 

results with the FE solution and its effectiveness are summarized as well. Refined numerical 

models are investigated in detail to identify the factors affecting the overall response.  

4.1 Hysteric Response 

 As-Built Specimens 

The specimen E1-T-H, which has continuous longitudinal reinforcement from the foundation 

to the column tip and axial load ratio σN of 0.32, could not sustain the load until subsequent 

drift levels. The reinforcement yielding was detected at 1.08a% drift ratio by the strain gauges. 

The corresponding flexural capacity for section yielding was computed as 64.5 kN from section 

analysis where E1-T-H almost reached that value with the global yielding of the column (i.e., 

60.02 kN absolute maximum capacity recorded in the test). The strength deterioration started 

after 1.51b% drift ratio, which later evolved to a rapid decrease. The first crack in the column-

foundation interface occurred at 0.55a% drift ratio, while the first flexural cracks (having about 

0.35 mm width) initiated at 1.08b% drift ratio at two different locations. Those were about 180 

mm and 340 mm far from the column base. In 1.51a% drift ratio, another flexural crack formed 
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(having about 0.35 mm width at about 500 mm) while existing cracks were opened (i.e., 1.0 

mm). In the subsequent drifts (e.g., 2.11b%), the flexural crack at 180 mm widened to 3 mm 

with concrete spalling. The severe damage, with a crack width of 6 mm and concrete spalling 

at several locations, was observed at 2.95a%. The recognizable reinforcement buckling 

occurred 3.85a% drift ratio. The generated numerical models closely estimated the secant 

stiffness. The ultimate capacity, post-peak response, and distinct strength loss were reproduced 

with satisfactory accuracy (Fig. 4.1a). The depth and length of the failure zone were very similar 

in the numerical and experimental observations (Fig. 4.2a).  

The specimen with a conforming lap splice detail and an axial load ratio σN of 0.32 (i.e., E1-C-

H) could not sustain the lateral load until subsequent drift levels. The monitored absolute 

maximum column shear was 59.35 kN, while the corresponding column shear for section 

yielding was obtained as 64.7 kN from section analysis. The global yielding of the column 

reinforcement was detected at 1.51a% by the strain gauges. The strength started to deteriorate 

after 1.51b% drift ratio. The rapid strength decrease took place at 2.11a% drift ratio (Fig. 4.1b). 

The first column-foundation interface crack occurred at a drift ratio of 0.39a% while visible 

flexural cracks initiated at 1.51a% drift ratio (Fig. 4.2b). Later, severe cracks were followed by 

concrete crushing at about 180 mm from the column base. The slight buckling of column 

reinforcement was observed at the end of the test. The numerical model accurately reproduced 

the overall crack pattern and failure mode. The response parameters, such as secant stiffness, 

ultimate lateral load capacity, and strength deterioration, were closely estimated by the refined 

models.  

The non-conforming hook detail with a high axial load ratio was represented by E1-NC-H 

specimen. The column shear corresponding to the sectional yielding was computed as 65.3 kN 

from the section analysis. The absolute maximum column shear, which was monitored in the 

test, was 58.15 kN. This discrepancy could be due to high slip demand. The strain gauge in the 

column reinforcement captured the yielding of the reinforcement at 1.51a% drift ratio. Note 

that the length of the lap splice, which is 50db=700 mm, was enough to develop reinforcement 

yielding even though there was no hook at the end of the reinforcements. Like other specimens, 

the strength degradation was started at a 2.11a% drift ratio (Fig. 4.1c). The first crack at the 

column-foundation interface occurred at 0.39a% drift ratio. The flexural cracks in the hairline 

form occurred at 1.51a%. The significant interface opening due to slip of the reinforcement and 

concrete crushing took place in the subsequent drift levels. The reinforcement slightly buckled 
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at the end of the test (Fig. 4.2c). The numerical model was capable of reproducing the overall 

failure mode together with the cyclic response. Due to the significant slip of the reinforcement 

bar, the pinching response in the subsequent drift ratios was not accurately captured by the 

numerical model, even though the model considers the bond-slip behavior.  

The specimen E1-T-L with low axial load ratio (i.e., σN=0.15) and continuous longitudinal 

reinforcement from the foundation to the column tip exhibited slightly better ductile 

performance than E1-T-H (i.e., equivalent in reinforcement scheme but high axial load). The 

absolute maximum column shear recorded during the test was 40.04 kN. The sectional yield 

capacity of the specimen in terms of column shear was computed as 43.5 kN from the section 

analysis. The yielding of the column reinforcement, measured by the strain gauges, was at 

1.08a% drift ratio. The strength degradation was not as distinct as the one with a high axial 

load, which resulted in higher ductility. The contribution of the axial load on the bond-slip 

response revealed itself as a pinching effect. The relatively wider loops in the case of E1-T-H 

(Fig. 4.1a) were not observed in E1-T-L (Fig. 4.1d). The first crack as an interface opening 

initiated at 0.28a% drift ratio. The first flexural cracks in hairline form (i.e., crack width of 0.20 

mm) formed at about 120 and 260 mm from the column base. The cracks did not distribute 

along the plastic hinge length, forming a few with large crack widths. The partial concrete 

spalling took place at 2.95a% drift ratio, which evolved to slight reinforcement buckling in the 

subsequent drift level (Fig. 4.2d). The numerical model captured the all response quantities with 

sufficient accuracy. 

The specimen E1-C-L was constructed with conforming hook detail and tested under a low 

axial load ratio. The absolute maximum column shear was monitored as 38.46 kN. On the other 

hand, the column shear corresponding to sectional yielding was computed as 43.8 kN. The 

strain gauges measured the yielding of the reinforcement at 1.08a% drift ratio. Compared to a 

specimen with an identical reinforcement scheme but a high axial load (e.g., E1-C-H), the 

strength deterioration was less recognizable, which shows the adverse effect of high axial load 

on the flexural behavior of the columns. Narrower loops compared to E1-T-L (i.e., continuous 

longitudinal reinforcement with low axial load) were monitored in hysteric response. It is, 

therefore, concluded that the bond-slip response was more prominent in the case of E1-C-L. No 

significant flexural cracks in the place of potential plastic hinge length were observed, while 

the interface crack at the column foundation connection took place at 0.28b% drift ratio. Due 

to the low axial load ratio, the interface cracks formed earlier than the one with an identical 
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reinforcement scheme but a high axial load (i.e., E1-T-H). The partial concrete spalling took 

place at 2.95a% drift ratio while no significant reinforcement buckling was observed. The 

numerical model closely estimated the secant stiffness, ultimate load, overall hysteric response 

(Fig. 4.1e), and failure mode (Fig. 4.2e). However, the numerical model did not fully capture 

the pinching effect in the subsequent cycles. It is due to implemented bond-slip model, which 

accounts semi-circle phenomenon with limited aspects (see Section 3.2.3).  

E1-NC-L represented the non-conforming hook detail with a low axial load ratio. The column 

shear corresponding sectional yielding was computed as 43.8 kN from the section analysis. The 

monitored absolute maximum column shear in the test was 35.38 kN. The discrepancy in the 

results arises from the significant slip of the reinforcement. The section analysis does not 

consider the slip degradations. The lowest capacity in the low axial load specimens’ group was 

observed in E1-NC-L. The strain gauges measured the yielding of the reinforcement at 1.08a% 

drift ratio. Note that the lap-splice distance is sufficient enough to develop a reinforcement 

yielding even though there was no hook in E1-NC-L. Therefore, the capacity of the specimen 

with non-conforming hook detail (E1-NC-L) and the specimen with conforming hook detail 

(E1-C-L) is closely comparable. However, very narrow loops in the hysteric response show the 

adverse effect of significant slip (Fig. 4.1f), which also decreased the energy dissipation 

capacity. The formed cracks were not distributed along the potential plastic hinge zone (Fig. 

4.2f). Those mostly concentrated on the column-foundation interface. A single interface crack 

also resulted in a low energy dissipation. The first interface crack occurred in the early stage of 

the loading regime. The partial concrete spalling in the concrete cover took place in the 

subsequent drift levels (which is due to low-strength concrete), while no significant 

reinforcement buckling was monitored. The numerical model could accurately reproduce the 

response quantities such as secant stiffness, ultimate capacity, and strength deterioration. 

However, the pinching effect was not captured well in the subsequent drift levels due to limited 

features of the semi-circle phenomenon implemented bond-slip model.  
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Table 4.1. Summary of measured damage quantities. 

First Damage E1-T-H E1-C-H E1-NC-H E1-T-L E1-C-L E1-NC-L 

Column-Foundation 

Interface Crack 
0.55a% 0.39a% 0.39a% 0.28a% 0.28b% 0.28a% 

Flexural Crack 

1.08b% (0.35 

mm at about 

180 mm and 

340 mm from 

column base) 

1.51a% (0.35 

mm at about 

350 mm, 0.15 

mm at about 

480 mm) 

1.51a% (0.15 

mm at about 

350 mm, 0.10 

mm at about 

240 mm) 

0.77a% (0.20 

mm at about 

120 mm and 

260 mm) 

0.77a% (0.20 

mm at about 

110 mm and 

255 mm) 

0.77a% (0.20 

mm at about 

125 mm and 

260 mm) 

Shear Crack -- -- -- -- -- -- 

Concrete Spalling 

2.11a% 

(at about 200 

mm) 

1.08a% 

(partial 

spalling 

closer to 

column-

foundation 

interface) 

2.11a% (at 

about 180 

mm in 

concrete 

cover) 

2.95b% 

(partial 

spalling in 

the concrete 

cover) 

2.95b% 

(partial 

spalling in 

the concrete 

cover) 

2.95a% 

(partial 

spalling in 

the concrete 

cover) 

Reinforcement 

Yielding  
1.08a% 1.51a% 1.51a% 1.08a% 1.08a% 1.08a% 

Reinforcement 

Buckling 
3.85a% 3.85a% 3.85a% 3.85a% -- -- 

State at the end of 

the test 

Concrete 

crushing with 

reinforcement 

buckling, 

heavy 

damage at 

about 240 

mm from the 

column base 

Concrete 

crushing with 

slight 

reinforcement 

buckling and 

interface 

opening 

about 8 mm  

Concrete 

crushing with 

slight 

reinforcement 

buckling and 

interface 

opening 

about 12 mm 

Concrete 

crushing with 

reinforcement 

buckling and 

heavy 

damage at 

about 240 

mm from the 

column base 

Local 

concrete 

crushing near 

interface and 

interface 

opening 

about 15 mm 

Local 

concrete 

crushing near 

interface and 

interface 

opening 

about 18 mm 
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Fig. 4.1. Hysteric response of as-built specimens (a) E1-T-H (b) E1-C-H (c) E1-NC-H (d) E1-T-L (e) E1-C-L 

(f) E1-NC-L. 
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(a) 

    

(b) 

    

(c) 

        

(d) 

Fig. 4.2. Damage evaluation in as-built specimens (a) E1-T-H (b) E1-C-H (c) E1-NC-H (d) E1-T-L (e) E1-C-

L (f) E1-NC-L. 

Deformation 

Scale: 10% 
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(e) 

   
 

(f) 

Fig. 4.2 (cont.). Damage evaluation in as-built specimens (a) E1-T-H (b) E1-C-H (c) E1-NC-H (d) E1-T-L (e) 

E1-C-L (f) E1-NC-L. 

 Repaired Specimens 

The first structural repair test was conducted on specimen E1-T-H (i.e., a specimen with high 

axial load and continuous longitudinal reinforcement from the foundation to the column tip), 

becoming specimen E1-T-H-R. The as-built form of the specimen (E1-T-H) developed very 

severe cracks in the order of centimeters at the column base and concrete crusting with 

reinforcement buckling. In the repair attempt, such effects were minimized by the contribution 

of the longitudinal and transverse CFRPs. The lateral load capacity of the as-built specimen 

was recovered by the repaired scheme. Unlike the as-built case, the repaired specimen exhibited 

a gradually deteriorating load capacity (Fig. 4.3a). Of course, this stepwise failure increased the 

displacement ductility demand up to a certain level. However, the formation of the visual 

damages, such as the debonding or local fracture of CFRP, was an inevitable failure in the 

subsequent drift level (Fig. 4.4a).  

The repaired form of E1-C-H (i.e., a specimen with high axial load and conforming hook detail 

in the lap splice) yielded the specimen entitled E1-C-H-R after repair. The lateral strength was 
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recovered and even significantly enhanced from its as-built form. The strength deterioration 

was not distinct (Fig. 4.3b). The secant stiffness and stiffness degradation provided by the 

proposed repairing method were sufficient enough as well. The contribution of the proposed 

repaired scheme to the enhancement of bond-slip response was limited as narrower loops were 

observed. There was no significant debonding or tearing of the CFRP sheets, except the stress 

concentration zones in the subsequent drift levels (Fig. 4.4b). This clearly proves the 

effectiveness of the proposed structural repair. 

The third repair test was conducted on the specimen with high axial load and non-conforming 

hook detail, yielding E1-NC-H-R. The repair attempt showed that the lateral load capacity and 

other response parameters of prime interest could be partially (or fully) recovered even when 

deep interface cracks or concrete crushing were developed (Fig. 4.3c). The longitudinal-CFRP 

debonding was observed in 1.51a% drift ratio level, which evolved to CFRP fracture in the 

following drift level. Additional stresses developed in the transverse CFRP due to CFRP 

fracture's debonding, followed by CFRP tearing in the transverse direction (Fig. 4.4c). The 

CFRP failure was very sudden and took place in the first phase of the last loading cycle (i.e., 

3.85a%). 

The fourth structural repair test was conducted on the specimen with low axial load and 

continuous longitudinal reinforcement from the foundation to the column tip (i.e., E1-T-L), 

becoming the specimen E1-T-L-R. The axial failure in the as-built configuration was 

transformed to a flexural kind of failure mode, confirming that the repair attempt contributes to 

the overall performance of the column. The repaired scheme fully recovered the lateral load 

capacity of the as-built specimen without any gradual or distinct deterioration in the lateral load 

capacity (Fig. 4.3d). This ensured a certain displacement ductility level. As the displacement 

increases, the flexural behavior was accompanied by more micro damages, such as the local 

debonding or fracture of CFRP (Fig. 4.4d). Conversely, this did not remarkably affect the 

overall response.  

The repaired form of E1-C-L (i.e., a specimen with low axial load and conforming hook detail 

in the lap splice) becomes E1-C-L-R. Compared to one with similar hook detail but low axial 

load, the adverse effect of the axial load was not revealed in this specimen. The large interface 

opening in the as-built configuration was transformed into a flexural failure mode. The repair 

attempt enhanced the overall performance of the column. No gradual or distinct deterioration 

in the lateral load capacity was monitored (Fig. 4.3e). Therefore, an enhancement in 
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displacement ductility was also achieved. On the other hand, the repair attempt did not 

contribute to the improvement of the bond-slip response, resulting in narrower loops in cyclic 

response. Except for local micro damages in the CFRP, no visual failure occurred (Fig. 4.4e).  

The repaired form of the specimen with low axial load and nonconforming hook detail becomed 

E1-NC-L-R. The lateral load capacity of the as-built form was recovered at a certain level. Like 

all other repaired specimens with low axial load, the displacement ductility enhanced 

significantly. The repaired specimen sustained the lateral load capacity until the last loading 

cycle (Fig. 4.3f). The repair attempt enhanced the flexural behavior, while CFRP did not 

remarkably contribute to the bond-slip response. Therefore, the pinching effect was not 

improved, resulting in narrower loops in the cyclic response. The visual damage in the form of 

local debonding or fracture in the stress-concentrated places was mainly at a micro level (Fig. 

4.4f), which did not affect the overall response.  
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Fig. 4.3. Hysteric response of repaired specimens (a) E1-T-H-R (b) E1-C-H-R (c) E1-NC-H-R (d) E1-T-L-R 

(e) E1-C-L-R. (f) E1-NC-L-R. 
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(a) 

   

(b) 

   

(c) 

   

(d) 

Fig. 4.4. Damage evaluation in repaired specimens (a) E1-T-H-R (b) E1-C-H-R (c) E1-NC-H-R (d) E1-T-L-R 

(e) E1-C-L-R. (f) E1-NC-L-R. 

FRP failure 
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(e) 

   

(f) 

Fig. 4.4 (cont.). Damage evaluation in repaired specimens (a) E1-T-H-R (b) E1-C-H-R (c) E1-NC-H-R (d) E1-

T-L-R (e) E1-C-L-R. (f) E1-NC-L-R. 

4.2 Engineering Demand Parameters 

 Strength 

The strength parameters are discussed in terms of column shear Vc. The capacity of the 

specimens was recovered by the implemented repair solution. The recorded column shear Vc in 

the repaired specimens was higher in the inelastic part of the hysteric response in many cases. 

For the repaired specimens with low axial load (Fig. 4.5d-f), the strength drop was not as 

noticeable as in the case of as-built specimens. The repaired specimens with low axial load 

could sustain the ultimate lateral load even in the latter cycles. In turn, the adverse effect of 

high axial load actuated FRP debonding in preceding cycles (Fig. 4.5a-c). Nevertheless, the 

repaired specimens exhibited a gradually deteriorating load capacity. This stepwise failure, of 

course, increased the displacement ductility demand up to a certain level. The pinching response 

was not enhanced significantly. The bond-slip response still dominated the overall response, 

even in the repaired specimens.  
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Fig. 4.5. Comparison of hysteric responses specimen with (a) high axial load and no lap-splice (b) high axial 

load and conforming hook (c) high axial load and non-conforming hook (d) low axial load and no lap-splice (e) 

low axial load and conforming hook (f) low axial load and non-conforming hook. 

The nonlinear backbone curves of all specimens were obtained from cyclic responses (Fig. 4.6a 

and b). The relative effect of the repair scheme on the strength was visible on the envelope 

curves. The column shear capacity was not only recovered by the implemented repair scheme, 

but also the distinct strength loss was less pronounced in the repaired specimens. The findings 

reflect the relative effect of the axial load ratio in the repair scheme. Increasing the axial load 

ratio resulted in a more distinct deterioration in the strength.  
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(a) (b) 

Fig. 4.6. Backbone curves of hysteric response (a) as-built specimens (b) repaired specimens. 

 Secant Stiffness and Displacement Ductility 

The secant stiffness K is defined as the slope of the line that joins the origin of the backbone 

curve and the point where 60% of the ultimate strength is on the ascending part of the envelope 

curve. Even though the as-built specimens suffer from severe damage [which could possible 

decrease the secant stiffness], the secant stiffness is restored by the taken repair action (Table 

4.2). 

The ultimate IDR δu is taken at 20% strength loss. The drift at effective yielding δy is computed 

considering an equivalent elastic-perfectly plastic force-drift relationship obtained from the 

experimental backbone curve by equating the area under the curves (dissipated energy) (Park 

1989). The ultimate IDR δu and IDR at effective yielding δy are closely comparable for as-built 

and repaired specimens (Table 4.2).  

The displacement ductility µd of the subassembly was computed as the ratio of ultimate IDR δu 

(taken at 20% strength loss) to the IDR at effective yielding δy. The repaired specimen could 

restore the displacement ductility µd, which can sustain the same demand as per as-built 

specimens. The test results were further classified according to the achieved displacement 

ductility µd. Ductility classes available in the literature (Priestley and Calvi 1991; CEN 2004b; 

ASCE SEI 41 2017) were considered to group RC columns with similar ductility. This study 

used the classification concept proposed by ASCE SEI 41 (2017). Accordingly, when 

displacement ductility µd is less than 2, it is classified as a low ductile subassembly. Those with 

displacement ductility µd ranging between 2 and 4 are considered within the medium ductility 
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group. When the displacement ductility µd is greater than 4, RC columns are classified as highly 

ductile (Table 4.2).  

Table 4.2. Summary of engineering demand parameters. 

Specimen 

Loading 

Direction 

Column 

Shear, Vc 

[kN] 

Secant 

Stiffness, 

K 

[kN/mm] 

Yield Properties 

Displacement 

Ductility, μd μd Class 

Yield 

Strength, Vy 

[kN] 

Yield 

IDR, δy 

[%] 

Ultimate 

IDR, δu 

[%] 

E1-T-H 
+ 60.02 5.84 53.95 0.62 2.56 4.14 µd,high 

- 55.42 5.96 49.40 0.56 2.11 3.78 µd,medium 

E1-C-H 
+ 59.35 5.83 54.02 0.62 3.16 5.12 µd,high 

- 57.89 6.22 46.41 0.57 3.14 5.54 µd,high 

E1-NC-H 
+ 54.37 5.90 49.49 0.56 2.83 5.06 µd,high 

- 58.15 4.81 50.80 0.74 3.15 4.27 µd,high 

E1-T-L 
+ 40.04 4.31 36.86 0.57 3.50 6.15 µd,high 

- 38.27 4.54 31.76 0.52 3.62 6.99 µd,high 

E1-C-L 
+ 38.46 4.13 35.37 0.57 3.39 5.94 µd,high 

- 34.46 4.53 28.57 0.47 3.85 8.23 µd,high 

E1-NC-L 
+ 34.71 3.90 32.19 0.55 2.67 4.85 µd,high 

- 35.38 5.40 27.42 0.38 1.71 4.47 µd,high 

E1-T-H-R 
+ 66.29 4.93 60.13 0.81 3.37 4.14 µd,high 

- 73.77 7.72 62.98 0.57 3.75 6.62 µd,high 

E1-C-H-R 
+ 70.57 5.45 65.09 0.80 3.85 4.84 µd,high 

- 62.21 5.48 52.09 0.70 3.85 5.50 µd,high 

E1-NC-H-R 
+ 60.61 6.17 53.77 0.58 2.87 4.93 µd,high 

- 56.94 4.94 49.46 0.69 2.73 4.03 µd,high 

E1-T-L-R 
+ 47.89 4.33 45.51 0.70 3.85 5.50 µd,high 

- 45.70 4.33 37.74 0.68 3.85 5.65 µd,high 

E1-C-L-R 
+ 42.73 4.88 38.71 0.53 3.85 7.27 µd,high 

- 43.97 3.97 38.97 0.66 3.85 5.84 µd,high 

E1-NC-L-R 
+ 30.95 4.56 28.95 0.43 3.85 9.11 µd,high 

- 40.21 7.29 31.77 0.32 3.41 10.64 µd,high 

 Stiffness Degradation 

The peak-to-peak stiffness is defined as the slope of the line that connects the ultimate load 

points in the positive and negative directions of the hysteresis loop in each loading cycle. 

Evolving to plastic range along with the increased level of damage, a significant decrease in the 

peak-to-peak stiffness was computed for all specimens. The peak-to-peak stiffness sustained in 

each loading cycle of as-built specimens was similar to the repaired specimens (Fig. 4.7a and 

b). The pre-formed cracks in the as-built specimens did not influence the peak-to-peak stiffness 

in the repaired specimens.  
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(a) (b) 

Fig. 4.7. Stiffness degradation (a) as-built specimens (b) repaired specimens. 

 Dissipated Energy 

The enclosed area of each loop in each loading cycle is the dissipated energy Ed for the 

corresponding cycle. Then, the sum of areas computed for each loading cycle is the cumulative 

dissipated energy Ed. As the overall response of the specimens was governed by significant 

bond deterioration, the pinching behavior in the hysteric response would not be revealed, which 

results in low energy dissipation capacity. The high axial load and continuous reinforcement 

minimized the reinforcement slip, resulting in high dissipated energy (Fig. 4.8a and b). The 

dissipated energies were closely comparable between as-built and repaired schemes.  

  

(a) (b) 

Fig. 4.8. Dissipated energy (a) as-built specimens (b) repaired specimens. 
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 Experimental Moment-Curvature Response 

The simultaneous measurement of the column base deformation by laser displacement sensors 

(Fig. 4.9) was used to obtain the curvature at three segments measured from the foundation (i.e., 

0-125 mm, 125-260 mm, and 260-370 mm). Following Eq. (4-1), the curvature is obtained 

while the variables in the formula are visually presented in Fig. 4.9. 

 
ϕ =

𝜀1 + 𝜀2

𝐿𝑑𝑠
 Eq. (4-1) 

 

 

where: 

ε1 and ε2 are the computed strains, 

Δ1 and Δ2 are the measured displacement change,  

LLo is the original length between vertical laser 

displacement sensors (i.e., for the first segment:125 

mm, for the second segment:135 mm, and for the third 

segment 110 mm), 

Lds is the distance between the measuring point of two 

sensors in the horizontal direction (i.e., 512 mm). 

Fig. 4.9. Computation of curvature. 

The premature failure of the columns with large cracks in the column-foundation interface and 

potential plastic hinge zone endangered the laser displacement sensors' stability. Therefore, the 

computed curvature of the reference specimens was presented up to -2.11b% drift level. The 

longitudinal reinforcement without lap-splice (i.e., E1-T-H and E1-T-L) allowed the 

distribution of cracks along the potential plastic hinge zone. Therefore, the curvature demand 

was distributed between the first (0-125 mm), second segment (125-260 mm), and even third 

segment (260-370 mm) (Fig. 4.10a and d). The evaluated curvature agreed with the observed 

failure mode. In the case of the specimen with low axial load and lap splice (i.e., E1-C-L and 

E1-NC-L), the curvature in the first segment (i.e., 0-125 mm) was the highest (Fig. 4.10c and 

f). It is due to the significant reinforcement slip in the foundation-to-column interface opening. 

Increasing axial load (i.e., E1-C-H and E1-NC-H) mitigated the slip demand. Conversely, the 
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slip in the foundation-to-column interface was the main source of the base rotation (and so 

curvature) (Fig. 4.10b and e). 
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Data included up to -2.11b% drift ratio  

Fig. 4.10. Experimental moment-curvature relationship of reference specimens (a) E1-T-H (b) E1-C-H (c) E1-

NC-H (d) E1-T-L (e) E1-C-L (f) E1-NC-L. 

The debonding and local deformations influenced the laser displacement sensors' stability, 

endangering the measurement reliability. Therefore, the curvature was computed up to -1.08b% 

drift level in the repaired specimens. Similar to the as-built specimens, the curvature demand 

was high in the first segment (i.e., column-foundation interface) of the specimens with low axial 

load (Fig. 4.11d-f). The mitigation of slip demand by the high axial load was in favor of 

decreasing the curvature demand in the first segment (Fig. 4.11a-c). 
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Data included up to -1.08b% drift ratio  

Fig. 4.11. Experimental moment-curvature relationship of repaired specimens (a) E1-T-H-R (b) E1-C-H-R (c) 

E1-NC-H-R (d) E1-T-L-R (e) E1-C-L-R (f) E1-NC-L-R. 

4.3 Empirical Models 

 Damage Index 

The individual engineering demand parameters showed the performance of the RC columns. 

However, an evaluation, which can combine at most engineering demand parameters, was 

required. This can be achieved by the probabilistic damage index proposed by Park and Ang 

(1985). The proposed method combines ultimate displacement Δu, yield strength Vy, and 

dissipated energy Ed. More information on the calculation of the probabilistic damage index 

can be found in Del Zoppo et al. (2018).  

The IDR at the same damage index was higher in the repaired specimens than as-built 

specimens. The calculated damage index was higher than the as-built specimen, which was 

compatible with experimental observations (e.g., mitigated damage in the repaired specimens) 

(Fig. 4.12a and b).  
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(a) (b) 

Fig. 4.12. Damage index (a) as-built specimens (b) repaired specimens. 

 Drift at Axial Failure 

The model, developed by Elwood and Moehle (2003) to estimate the drift at axial failure for 

shear-damaged columns, can be adapted to simulate the axial failure of the column. Indeed, the 

tested specimens did not develop any preceding shear failure. Therefore, the results should be 

carefully interpreted. On the other hand, the flexural cracks with significant interface opening 

due to slip significantly deteriorated the specimens capacity (specifically the ones with high 

axial load), followed by axial failure of the specimens. Eq. (4-2) provides the drift at axial 

failure.  

 
δ
𝐿
=
4
100

[
1 + (tan 𝜃)2

tan 𝜃 + 𝑁 (
𝑠𝑠

𝐴𝑠𝑡𝑓𝑦𝑡𝑑𝑐 tan 𝜃
)
] Eq. (4-2) 

where θ is 65o, N is axial load, ss is spacing between stirrups, Ast is the area of shear 

reinforcement, fyt is the yield strength of the shear reinforcement, dc is the depth of the column 

core from the center line to center line of the stirrups, δ is the drift, L is the column height (i.e., 

δ/L is the IDR). By implementing Eq. (4-2) for the tested specimens, the drift ratio at axial 

failure was found as 1.81% for specimens with high axial load (i.e., axial load ratio of σN=0.32). 

That of specimens with low axial load (i.e., axial load ratio of σN=0.15) was obtained as 4.36% 

(Fig. 4.13a and b). The results were partially compatible with experimental observations. The 

specimens with high axial load developed an axial failure, while bond degradation was more 
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prominent for the specimens with low axial load. Therefore, the axial damage level was less for 

the specimens with low axial load.  

  

(a) (b) 

Fig. 4.13. IDR at axial failure (a) as-built specimens with high axial load (b) as-built specimens with low axial 

load. 

 Backbone Model and Performance Levels 

The backbone model proposed in ASCE SEI 41 (2017) is adapted to characterize the cyclic 

response. The lateral load-plastic rotation angle is defined by three modeling parameters, which 

are a, b, and c. Parameter a defines the plastic rotation angle at the onset of lateral strength loss, 

parameter b is the plastic rotation angle measured to the onset of axial failure, and parameter c 

is defined as the ratio between the residual lateral strength at axial failure and the peak lateral 

strength (Hassan and Elmorsy 2022). The computed modeling parameters were presented along 

with the cyclic response of each as-built specimen (Fig. 4.14a-f). Here, the hardening is not 

considered when constructing the backbone curves. The model overestimates the cyclic 

response. The model was believed to be calibrated for specimens without significant slip, 

reducing the ultimate capacity. Besides, the backbone model replicated the failure at axial load 

lower than experimental response for the specimen with a high axial load. In the case of low 

axial load, the specimens with less pronounced slip, such as E1-T-L and E1-C-L, the backbone 

model closely reproduced the hysteric response. That of E1-NC-L overestimated the column 

shear since the backbone model does not account for slip deterioration.  

The ASCE SEI 41 (2017) performance levels (and so modeling parameters) are sensitive to 

axial load. The Life Safety (LS) performance was lower than the sectional yielding. The gap 
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between Immediate Occupancy (IO) and Collapse Prevention (CP) limit was relatively high in 

ASCE SEI 41 (2017) for specimens with a low axial load. The gap was closed for a high axial 

load specimens. Eurocode 8 (CEN 2005) accumulated the performance level closer to each 

other (Fig. 4.14a-e). The Damage Limitation (DL) performance level was higher than the point 

of sectional yielding. Significant Damage (SD) and Near Collapse (NC) levels were closer to 

DL. For the specimens with high axial load, the equivalent performance levels (i.e., LS-SD and 

NC-CP) were closer to Eurocode 8 (CEN 2005) and ASCE SEI 41 (2017). However, those for 

the specimen with low axial load were not the same.  
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Fig. 4.14. Comparison of ASCE SEI 41 (2017) backbone models with hysteric responses (a) E1-T-H (b) E1-C-

H (c) E1-NC-H (d) E1-T-L (e) E1-C-L (f) E1-NC-L. 
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5   CONCLUSION 

5.1 Summary 

This study investigated the response of substandard RC columns and the repair of the pre-

damaged RC columns by experimental and numerical methods. The test variables in 6 

specimens were the lap-splice detail and the axial load ratio. The specimens were tested under 

quasi-static cyclic loading along with the constant axial load. The refined numerical models 

satisfactorily reproduced all the obtained responses, such as load capacities and crack patterns. 

After testing the as-built specimens, the specimens suffered from severe damage at the column 

base. The damaged portion of the RC column was repaired by CFRP sheets, and the tests were 

repeated. The damage was relocated partially in CFRP. However, the overall capacity and 

response parameters were recovered.  

Based on the study results, the following conclusions were drawn: 

• The as-built specimens, analogous to a substandard RC column in current design codes 

and standards, exhibited poor performance. Being constructed from low-strength 

concrete with lack of specific details, the specimens were severely damaged. The 

resulting failure mode was an axial failure with significant slip in all specimens. 
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• The severity of the damage was high in the specimens with a high axial load ratio (i.e., 

0.32). The adverse effect of the high axial load on the damage evaluation was less in the 

specimens with low axial load (i.e., 0.15). 

• Regardless of the hook detail, a lap splice of 50db (where db is bar diameter) was enough 

to reach reinforcement yielding. However, the slip of the reinforcement was more 

pronounced in the specimens without hooks at the end of the bars. Those also influenced 

the pinching behavior in the cyclic response [and so dissipated energy].  

• The numerical model simulated the overall response of as-built specimens with an 

acceptable level. The crack patterns and cyclic response were consistent in the 

numerical and experimental results. 

• After successful repair by the proposed method, the specimens that were heavily 

damaged recovered their former capacities. The crack pattern and failure mode of the 

repaired specimen indicated a non-axial failure mode after the tests on the repair. 

However, the bond-slip performance of the specimens was not significantly enhanced 

by the repair action.  

5.2 Future Work 

The retrofit of the RC columns before any pre-damage can provide a valuable contribution. As 

a retrofit material, a conventional CFRP material or other advanced materials like SMA will be 

implemented.   

A suitable numerical modeling strategy for repaired specimens can be developed. The cyclic 

response under complex stress-strain mechanisms can be better revealed. The evaluation of 

internal stresses and damage can be investigated in depth by the reproduced response.  

Owing to the more realistic assessment capability of the stochastic-based nonlinear FE analysis, 

which is now available in user-friendly computer tools, reproducing the structural response of 

substandard members by computational stochastic mechanics could yield more accurate results 

for assessment purposes. That should be implemented.  
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